Abstract: Nowadays, many buildings with steel Moment Resisting Frames (MRF) are built in seismic zones when seismic codes are at its early stages of development, and as such, these structures are often designed solely to resist lateral wind loads without providing an overall ductile mechanism. On the other hand, current seismic design criteria based on hierarchy of resistance allow enhancing the structural ductility and controlling the structural plastic behaviour. Therefore, seismic design criteria might also be beneficial to improve the structural robustness. In order to investigate this issue for steel MRF, a parametric study based on pushdown analysis and on the Energy Balance Method is described and discussed in the present paper. With this regard, the following cases are examined: (i) MRF not designed for seismic actions and (ii) MRF designed for seismic actions. The investigated parameters are (i) the number of storeys, (ii) the interstorey height, (iii) the span length, (iv) the building plan layout and (v) the column loss scenario. Results show that the low-rise and long span structures are the most prone to progressive collapse and that the elements in the directly affected zone of the wind designed 8 storey structures respond in the elastic range. Structures designed according to the capacity design principles were found to be less robust than wind designed structures that are characterized by strong beams and weak columns. The number of elements above the removed column and size of beam cross section were found to be key parameters in arresting progressive collapse.
INTRODUCTION
Low/medium rise steel Moment Resisting Frame (MRF) structures designed only for lateral wind actions are typically characterized by weak column/strong beam assemblies, owing to the need to limit lateral drifts. On the contrary, seismic design criteria currently recommended by modern codes (e.g. the EN 1998-1 [1] ) lead to frames with strong column / weak beam arrangements, which are obtained by applying capacity design principles, where a component resistance hierarchy is established in order to form an overall ductile mechanism. Indeed, in order to guarantee this performance, the dissipative zones (e.g. the beams in case of moment resisting frames) should develop plastic hinges that are characterized by strain hardening [2 -10] . Therefore, the non-dissipative zones (e.g. the columns) should be designed to resist the maxima effects developed into the plastic hinges [7, 10] .
Imposing a ductile damage pattern is also favourable for increasing the structural capacity against progressive collapse, as stated by El-Tawil et al. [11] . However, the necessary level of detailing to improve the robustness of buildings in case of column loss scenarios remains an open issue.
In recent years, a large number of studies have been carried out on the topics of structural robustness and progressive collapse of structures. Izzuddin et al. [12] developed a framework for evaluating robustness based on the computation of the system pseudo-static capacity. Pushdown analysis was also used in studies conducted by Lu et al. [13] , concluding that failure modes were correctly determined using nonlinear static analysis and that robustness can be quantified using the residual reserve strength ratio. Results from simulations carried out by Khandelwal et al. [14] and Hayes et al. [15] showed that frames designed using seismic design provisions presented greater robustness.
The topic of the efficacy of seismic detailing according to recent codes [1] in arresting a progressive collapse and on improving structural robustness is still under discussion, and although it can be argued that seismic detailing generally contributes to improving robustness, quantification of this effect is still required [25] . Adopting Capacity Design principles alone as a prescriptive measure for improving robustness presents shortcomings similar to prescriptions given by other codes [26, 27] for addressing robustness such as the "Tie Force Method" or the "Key Element Design", which aim at assuring structural continuity and robustness. However, these design methods do not guarantee adequate structural capacity to withstand extreme events involving column loss. On the other hand, the influence of seismic detailing to improve structural robustness is still an open issue.
These considerations motivated the study presented in this paper, which aims at quantifying structural robustness under column loss scenarios and at assessing the efficacy of seismic detailing on arresting a progressive collapse under different column loss scenarios. To this end, a numerical parametric study based on pushdown analysis was carried out on a set of reference frames, varying both mechanical and geometrical parameters. The obtained results enabled to identify trends and to quantify the effectiveness of seismic detailing in the limitation of progressive collapse.
FRAMEWORK OF THE STUDY

Investigated Parameters
A set of 48 structures was designed with the following variables: number of storeys, interstorey height, span, bay configuration and lateral load design scenario. The parametric variables were selected in order to cover a wide range of realistic structures [25] . The list of parameters and relevant values is presented in Table 1 . Column loss scenario L {Large façade; Short façade; Corner} [-] As shown in Fig. (1) , each structure presents two MRFs per direction, while the remaining parts were designed to resist gravity loads only. Therefore, the beam-to-column joints of the MRFs were assumed as full strength rigid connections, whereas the joints in the secondary frame were modelled as perfectly pinned. An exception to these MRF layouts was considered for the seismically designed structures with 8 storeys and 10 m span. Indeed, for those cases, the frames in both directions were designed to be moment resisting with full strength rigid primary beam-to-column connections and cruciform cross sections for columns. The cruciform cross sections are symmetrical about the principal axes and built up by welding with a couple of steel wide flange profiles. The column loss locations were defined in accordance with the UFC 2009 [27] as shown in Fig. (1b) and the following cases were considered:
Interior column along the X direction façade (i.e. long façade); i.
Interior column along the Y direction façade (i.e. short façade); ii.
Corner column. iii.
Design Assumptions
The frames were designed according to the Eurocodes. In particular, the design actions and relevant loading combinations are compliant to EN1991-1-7 [26] , while the verification checks and the requirements for seismic design are in accordance with EN1993-1-1 [28] and EN1998-1 [1] , respectively.
The columns and the beams are in S355 steel. For the composite slab, the steel sheeting is made of S320 GD steel grade and the concrete is C30/37 class. S460 steel was adopted for column members in 2 cases only, namely for the 5×4 and 4×4 seismically designed structures with 8 storeys, 4m interstorey height and 6m span, in order to verify the N-M-V interaction Ultimate Limit State.
The gravity loads considered for the design of the building structures are summarized in Table 2 . The lateral stability of the non-seismic frames may be taken into account through the introduction of lateral forces corresponding to a fraction of the gravity load [27] , or as wind loads with the appropriate reduction factor [26] . In terms of wind action, a basic wind velocity of 30 m/s was considered on a Type III terrain category, which is characteristic of suburban areas. The seismic action was defined according to the EN 1998-1 [1] . The main parameters for the seismic action definition are presented in Table 3 . 
Monitored Parameters
The robustness of steel frames is typically evaluated by the Alternative Load Path method (ALP). However, as shown by Khandelwal et al. [14] the ALP cannot provide further information about the reserve capacity of the system. Several alternative approaches to measure the robustness have been proposed by different Authors based on risk [30] , energy [12] or on deterministic indexes. However, it is not currently possible to establish which is the most accurate [31, 32] .
In the present study a local deterministic robustness measure was adopted, based on the Residual Reserve Strength Ratio (RRSR) of the structural system. The RRSR is defined as the ratio between the ultimate capacity of the system in the damaged configuration (F u,damaged ) and the equivalent dynamically amplified force for which the system reaches equilibrium (F dyn,damaged ), as given by the following equation:
In order to measure the rotational reserve capacity of the structures, a ductility measure was introduced and designated as Residual Reserve Ductility Ratio (RRDR). The RRDR is defined as the ratio between the system's displacement immediately prior to global collapse (u u,damaged ) and the equivalent dynamic displacement at equilibrium (u dyn,damaged ), as given by the following expression:
Moreover, Dynamic Load Factors (DLFs) were computed as follows:
Where F dyn,damaged is the equivalent peak dynamic load obtained from the nonlinear static pushdown response at equilibrium and F stat is the value of the static gravity loads on the resisting element prior to removal as introduced by Izzudin et al. [12] . 
PUSHDOWN ANALYSIS
Analysis Methodology
Three procedures are generally used to assess the robustness for progressive collapse, namely the Linear Static Procedure (LSP), the Nonlinear Static Procedure (NSP) and the Nonlinear Dynamic Procedure (NDP) [27] . In this study, the NSP was adopted and combined with the energy balance method proposed by Izzuddin et al. [12] , which allows computing the system pseudo-static capacity by imposing a zero kinetic energy condition. The methodology consists of three stages, namely: i) Determination of the nonlinear static response of the structure under gravitational loading; ii) Simplified dynamic assessment through energy balance to establish the maximum dynamic response and iii) Ductility assessment of the connections. The computation of the response implicitly assumes that the part of the structure directly affected by the column removal behaves as a Single Degree of Freedom (SDOF) system. Jahromi [16] demonstrated the validity of this hypothesis for the assessment of structural robustness .
The typical structural response curve is shown in Fig. (2) and consists of an initial linear elastic segment, followed by a nonlinear transition due to geometric and material nonlinearity, and finally by an eventual hardening phase due to catenary effect, or by a softening phase due to buckling or failure of structural elements. The computation of the response implicitly assumes that the zone directly affected by the column loss behaves as an equivalent SDOF system.
Fig. (2).
Typical nonlinear static structural response according to [12] (a); system internal energy and work done (b).
The application of the energy balance method implies the computation of both the external work done, which is equal to the product of the axial force in the column prior to removal and the vertical displacement at each step of the pushdown, and the internal energy, which is given by integral of the Force-Displacement system response curve. When the work done equals the internal energy, the system reaches equilibrium for a vertical displacement equal to the dynamic displacement. In cases in which energy balance is not achieved, the zero kinetic energy condition is not reached and the system fails. Subsequently, the maximum dynamic displacement is compared to the ductility limit, taken as the minimum value at which the ductility demand exceeds the ductility capacity.
Modelling Assumptions
The numerical simulations were conducted using the finite element analysis software SAP 2000. The beams that were designed for gravity loads only were considered as pinned at both ends, whereas full-strength rigid connections were considered at the ends of the MRF beams [25, 33] . The beams of MRF spans are all-steel members without any composite interaction with the slab.
The geometric nonlinearities were considered through the P-Delta formulation under large displacements. Material nonlinearity was modelled through lumped plasticity with discrete plastic hinges distributed along the elements. The modelling parameters and acceptance criteria for the plastic hinges were adopted in accordance with the FEMA Report 356 [29] .
The pushdown analyses were carried out under displacement control until global structural failure was reached. This method allows estimating the equivalent dynamic displacement at equilibrium, but it accounts for neither the oscillation around the equilibrium position nor the effect of damping. For the column removal, the internal forces were initially determined for the accidental load combination given in the EN 1991-1-7 [26] . Subsequently, increasing vertical displacements were imposed to the node where the equivalent column loads were applied. In the following Sections, the results from pushdown analyses are shown in terms of vertical force-displacement pushdown response curves.
Discussion of Results: Failure Mechanisms
The conducted pushdown analyses are shown in Figs. (3-5) , for the 4 and 8 storey structures under large façade, short façade and corner column loss scenarios. The pushdown analyses enabled to identify three types of global failure mechanism (see Fig. 6 ), namely: Type I, which is characterized by high ductility due to the distribution of plasticity throughout the beam i.
elements of the directly affected zone; Type II, which is characterized by poor ductility and is typically conditioned by brittle column failure between ii.
the ground floor and the first storey and Type III, corresponding to a semi-ductile mechanism that is characterized either by column failure in the iii.
segment between the last elevated storey and the roof or by simultaneous failure in beam and column members.
The occurrence distributions of type the failure mode are shown in Fig. (7) as a function of the number of storeys and of the lateral load design scenario. In particular, Fig. (7) shows that the ductile Type I failure is clearly dominant for the 4-storey buildings, while greater susceptibility to low ductility collapse modes can be observed for the 8-storey structures. For what concerns the influence of the lateral load design scenario, Fig. (7b) shows that all seismically designed structures present ductile failure, whereas for the strong beam -weak column structures, about 40% of failures were semi-ductile or brittle. 
Discussion of Results: Residual Reserve Strength and Ductility Ratios
The RRSRs for the 4-storey structures are presented in Fig. (8) . The minimum RRSR value for a structure is equal to 1.0, and it is obtained when the equivalent dynamically amplified force is equal to the ultimate capacity of the system. In those cases where the internal energy did not balance the external work done, equilibrium was not reached and the RRSR was taken as equal to 0.
The results show that the 10 m span structures present lower values of RRSR than the 6 m span ones. For the 10 m span structures, several cases of failure occurred and small RRSR values can be observed.
The numerical results indicate that the wind designed structures (strong beam -weak column) present higher values of RRSR than the seismically designed frames. The Type I mechanism is predominant for 4-storey buildings, where Vierendeel action develops, allowing for larger overall ductility. The activation of the Vierendeel mechanism requires girders to be stiff in bending so as to enable internal load redistribution following column loss. Considering that the wind designed structures present deeper beams, their capacity is comparatively higher than that of the seismic designed structures.
The buildings with taller interstorey height are characterized by the higher RRSR values, which can be explained considering that these frames have deeper girders than those belonging to frames with shorter interstorey height. The larger size of beams depends on the need to control storey drifts, which is more demanding for taller buildings.
The location of column loss significantly influences RRSRs as also observed in [34, 35] . The cases for corner column loss are characterized by limited redistribution capacity, which corresponds to a reduced robustness because the alternative load path involves only a reduced portion of moment resisting bays. However, column loss location by itself does not enable to establish a tendency for RRSRs. On the contrary, the MRF plan layout plays an important role. For structures where the MRF in one direction is composed of few elements (e.g. 4×4 bay layout in the x-z plan), design leads to cross sections with very high resistance, leading to higher robustness levels. A small variation of the number of spans of the plane of the directly affected zone showed to have an influence on RRSRs. The RRSRs for the 8-storey structures are presented in Fig. (9) , where it can be noted that no collapses occurred and that those frames present higher robustness than 4-storey structures. The large span structures exhibit the lower RRSR values. Regarding the influence of seismic detailing, numerical results showed that the strong beam -weak column (wind designed) consistently have higher values of RRSR. Even though most 8-storey wind designed structures are characterised by a non-ductile collapse mechanism, most structures are able to arrest collapse while remaining in the elastic domain, as seen by the estimated DLFs (previously defined in Eq. (3)) shown in Fig. (10) . The 4-storey structures are typically able to exploit the post-yield regime, although their lower robustness resulted in some collapses. Most 8-storey structures, namely the wind designed structures, remained in the elastic regime (DLF=2.0). A comparison between the RRSR for the seismic-designed structures (weak beam -strong column) and the winddesigned structures (weak column -strong beam) is presented in Fig. (11) , showing that the latter generally present the higher robustness, and that the 8 storey structures tend to have the higher RRSR values. The seismic designed structures present a comparatively low dispersion of RRSRs for non-collapsed structures, with the 4-storey structures presenting RRSR varying between 1.01 and 2.14, and the 8-storey ones varying between 1.20 and 4.68. The value dispersion is considerably lower for the 10 m span structures. The comparison of Residual Reserve Ductility Ratios (defined in Eq. (2)) is presented in Fig. (12) , where a value of 0 for the RRDR represents a structure for which equilibrium subsequent to column loss could not be reached and a value of 1 represents the minimum value for the ductility ratio, corresponding to the case in which the maximum dynamic displacement equals the system's ultimate displacement in the damaged state. When comparing the results in terms of the number of storeys, the RRSDs for the four storey structures present similar values for both seismic and wind designed structures, whereas for the eight storey structures, the ductility ratios tend to present higher values, which is consistent with the Capacity Design methodology. For the four storey structures, the results indicate that the type of lateral load design scenario is not a distinguishing factor in terms of ductility. Indeed, for low-rise wind-designed structures the failure modes are of Type I for 89% of cases, Type II for 3% of cases and 8% for Type III, implying that collapse is typically controlled by the Vierendeel action, for which beam ductility is key. Given that the wind-designed structures present weak column -strong beam frames, the beam members present high ductility capacities, which are on par with the ductility capacities displayed by the seismically designed structures.
The resistance to progressive collapse depends on local behaviour, namely on bay/MRF layout, local beam and column capacities and number of elements above the removed column which can be mobilized through Vierendeel action.
The higher dispersion of RRSRs for the wind-designed structures is due to the occurrence of all three types of collapse, leading to differences case by case in terms of ultimate capacity and subsequently of the RRSR values.
Although no direct relation between seismic provisions and enhanced robustness can be observed, it can be recognized that seismic detailing results in more predictable and ductile global failure modes. However, wind-designed Numerical results highlight that the robustness mostly depends on the capacity of the beam elements of the directly affected zone.
CONCLUSION
A parametric study based on pushdown analysis was conducted which investigated the behaviour of 48 MRF structures for three column loss scenarios (namely a total number of 144 analysis cases). The robustness was measured through Residual Reserve Strength Ratios and three types of global collapse mechanisms were identified, providing different ductility levels.
It was observed that the wind-designed 8-storey buildings are prone to semi-ductile or brittle global failure modes.
The numerical results also showed that 4-storey -10 m span structures exhibit progressive collapse, whereas no collapses occurs for the 8-storey -10 m span structures. The medium rise 8-storey structures provided higher values of robustness than low-rise structures, indicating that the number of elements above the removed column that can be mobilized through Vierendeel action is a key parameter in arresting a progressive collapse.
The obtained Dynamic Load Factors (DLF) highlight that 4-storey structures are more sensitive to post yield structural ductility, while 8-storey strong beam -weak column structures tend to remain elastic.
The importance of seismic detailing for robustness was also investigated, and results show that structures designed according to the EN1998-1 [1] have smaller Residual Reserve Strength Ratios (RRSRs), although the failure modes are more predictable.
Numerical results show that wind-designed frames with strong beam -weak column details respond in the elastic domain after column loss, displaying higher RRSR values. These outcomes are mainly due to the strength and stiffness properties of the girders of the MRF parts above the directly affected zone, since wind-designed frames have deeper girders than seismically designed structures. Therefore, based on the obtained results it can be observed that capacity design principles recommended by EN1998-1 [1] do not guarantee adequate robustness under column loss scenarios.
LIST OF SYMBOLS
F u, damaged = Ultimate force capacity of the system in the damaged configuration F dyn, damaged = Equivalent peak dynamic load obtained from the nonlinear static pushdown response at equilibrium for the zero kinetic energy condition U u, damaged = Ultimate displacement capacity of the system in the damaged configuration U dyn, damaged = Equivalent peak dynamic displacement obtained from the nonlinear static pushdown response at equilibrium for the zero kinetic energy condition 
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